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Conventionally, bridges are designed using Force-Based Design (FBD) method where it calculates seismic force demand by either single-mode or multi-mode spectral method. However, FBD has several limitations such as the inefficiency in connecting design process with target seismic performance. Detailed discussions on the limitations can be found in Priestley et al. (2007) . In a recent study, Sheikh and Légeron (2014) reported that following the coded design rules does not automatically satisfy the descriptive performance goals in CHBDC 2006 (CSA 2006) . Also, in several earthquakes, for example, 1994 Northridge Earthquake, even though structures designed based on FBD approach achieved the goal of protecting life safety, the costs of repair were unexpectedly high (Ghobarah 2001). To enhance FBD, Performance Based Design (PBD) has been developed by many researchers (Priestley 2000; Moehle and Deierlein 2004; Marsh and Stringer 2013; Billah and Alam 2016) . PBD allows project owners to select target performance levels explicitly, which are to be used by design engineers. The performance levels can be determined based on damage states such as lateral drifts (overall or residual) and strains.
Under the PBD framework, structures can be designed based on any methods including FBD and displacement based design (DBD). DBD method for the bridge was proposed and improved by a number of researchers (Moehle 1992; Fajfar 1999; Chopra and Goel 2001; Kowalsky 2002; Dwairi and Kowalsky 2006) . However, DBD is usually restricted to structures for which their deformed shape is easily estimated (Sullivan et al. 2003 
Performance Based Design Criteria
In PBD, the performance criteria can be based on any qualitative and quantitative response parameters such as strains and drifts against prescribed probability demand levels (Ghobarah 2001 
Force-Based Design and Performance-Based Design Process
The flowchart of FBD incorporating p-y method is shown in Figure 1 . In step 1, the number and size of columns may be determined to maintain a certain amount of column axial load ratio (e.g. 10%). In step 2, cracked stiffness is used to incorporate stiffness reduction. The cracked stiffness ratio is estimated based on column cross section, axial load and reinforcement ratio. It can be found from a moment-curvature analysis. In step 3, p-y curves are incorporated into the modeling for soil-structure analysis. In step 4, the periods may be calculated from stiffness and where m is the effective mass and k is the stiffness. It should be noted that the soil effective stiffness changes with the change of lateral load after soil yields. From elastic stiffness to plastic stiffness range, soil loses its stiffness. Therefore, structures have different fundamental periods under different seismic loadings due to this reason.
Steps 4 to 6 are performed as an iterative response spectrum analysis process. Response spectrum analysis is a linear analysis where only linear soil spring can be used. Since soil loses its stiffness with the increase in lateral load after yielding, effective secant stiffness is used in the modeling. The secant spring stiffness can be determined by conducting modal analysis and response spectrum analysis iteratively. The iteration process is briefly explained in Figure 2 and Figure 3 , where Figure 2 represents the global response of the structure and Figure 3 represents the local response of the soil spring. At the beginning of the iteration, stiffness and displacement of the spring can be assumed as K1 and Y1. Then response spectrum analysis is performed, which generates another displacement Y2. If Y2 is different from Y1, then Y2 should be used in the local spring model to find out the corresponding stiffness K2. The iteration should be continued until the stiffness and displacement from the global structure model converge with the local spring model. In step 7, ductility factor is defined by design codes and used to reduce elastic force demand. In step 8, base shear is distributed to columns according to their stiffness.
Step 9 and step 10 are performed at the end to make sure the ductile structure can achieve the desired plastic mechanism.
In the CHBDC 2014 (CSA 2014) the major difference between PBD and FBD is that PBD requires more complicated and refined analysis such as response spectral analysis and elastic time-history analysis. The preliminary design results may be based on any design methods but the final design has to be checked using required methods. A flowchart of PBD is shown in In the design phase, the bridge model is built in SAP2000 (CSI 2010). The soil-structure interaction is simulated using a series of p-y springs. Soil-structure interaction is an important factor that affects the seismic performance of the bridge (Dash et al. 2008) . Figure 6 shows a typical p-y curve where the soil loses its strength and stiffness with the increase of displacement.
In p-y curves, p stands for lateral resistance force per unit pile length from soil, and y stands for lateral displacement of piles. The finite element model of the bridge is shown in Figure 7 and the site-specific response spectra are shown in Figure 8 . Table 2 . The column cross sections of the three designs are shown in Figure 9 . It should be noted that although the structural member stiffness of D1 and D2 are generally the same, their overall structural stiffness is different because of the difference in soil springs. D2 is designed for a higher seismic demand, which results in softer soil springs and longer fundamental periods. Because of the difference in soil stiffness, there is difference in fundamental periods.
Comparing the two FBDs, D2 has a slightly higher reinforcement ratio due to the higher seismic demand. D3 shows a significant increase in reinforcement ratio and column sectional area compared to D1 and D2. This is due to the requirement that reinforcing steel strains shall not 
Performance Assessment Based On Pushover Analysis
To assess the performance of the bridge, pushover analysis is conducted in the transverse direction of the bent. The bents were pushed to the displacement demands calculated from response spectrum analysis. Pushover analysis was performed using SeismoStruct (SeismoSoft years event. Abutment 4 shows damage much earlier than the other bents. This can be explained by the specific site conditions. The bridge site is defined as Site Class F, which is composed of very soft soils. Site-specific p-y curves are developed for each pier. Pier 3 and Abutment 4 are founded on similar soils which are softer than the other three bents. Therefore, Pier 3 and Abutment 4 have less lateral stiffness and higher displacement demands compared to other bents.
It is also found that all the bents meet the criteria at 1 in 2475 year event since the reinforcing steel stain of 0.05 is not reached. The pushover analysis shows that the bridge designed as per CHBDC 2006 is able to protect life safety for considered earthquake events.
When performing PBD, nonlinear pushover or time-history analysis is required at the design phase. In the PBD of this study, it is realized that Abutment 4 experiences the highest displacement demand and shows the most damage, so that pushover analysis is carried out only on Abutment 4. The pushover curve of Abutment 4 is shown in Figure 15 . The CHBDC 2014 requires that reinforcing steel strains shall not exceed yield at 1 in 475-year event. This requirement results in a very high longitudinal reinforcement ratio in piers, which is 5.3%. When D r a f t the bent is pushed to the displacement demand, the maximum reinforcing steel strain is 0.0024, which is considered meeting the requirement of the CHBDC 2014. At 1 in 975-year event, the concrete strain is still smaller than 0.004, which is in minimal damage level. The reinforcing steel strain only increases to 0.01 after 1 in 2475-year event, and concrete strain is smaller than 0.006. The reinforcing steel strain of 0.015 is not reached throughout the analysis. It is also confirmed that when the performance criteria of 1 in 475 year are satisfied, the bridge may not even experience repairable damage level at maximum considered earthquake level. Therefore, D3 shows the most conservative results in comparison with D1 and D2.
Performance Assessment Based On Time-History Analysis
To conduct a rigorous assessment of the seismic performance of three designs, time-history analyses are carried out. In the time-history analysis, seven earthquake records are selected from the Canadian Association for Earthquake Engineering (Naumoski et al. 1988) . The records are scaled based on site-specific response spectra using the program SeismoMatch (SeismoSoft 2010b). Acceleration loads are applied in both longitudinal and transverse directions. Table 3 lists the records for time-history analysis. Two original acceleration time histories are plotted in Figure 16a . The scaled acceleration time histories are plotted in Figure 16b . Figures 17a and 17b show the unmatched and matched accelerogram spectra with the target spectra, respectively.
Maximum strains from the time-history analyses are presented in Tables 4 to 6 for three designs (D1, D2 and D3). Tables 4 to 6 show results from the three records and Table 7 shows the damage states determined from average strains in all records. From the time-history analysis, it is concluded that D1 fails to meet the performance criteria at 1 in 475-year event in CHBDC (CSA 2014 ). This conclusion is the same with the findings from pushover analysis. D2 also fails to meet the performance criteria at 1 in 475-year event in CHBDC (CSA 2014) . D3 meets the D r a f t 11 performance criteria at all earthquake events and only reaches repairable damage states at 1 in 2475-year event. Due to extremely conservative design, there is a huge amount of redundancy in terms of residual capacity after the occurrence of the first rebar yielding in D3. The ductility after first yielding cannot be well utilized when such conservatism is incorporated. As shown in Figure 18 , for a ductile structure design, it is expected that the plastic hinge first forms on the top of columns. Then the hinge forms on the piles, and lastly at the bottom of columns.
Comparing the three designs, D1 tends to induce a lot of damage, although life safety is protected. This may result in a high repair cost after earthquakes. D3 tends to be too conservative with a huge amount of residual capacity. The longitudinal reinforcement ratio of D2 is in between D1 and D3. A table of performance criteria that D2 achieves is presented in Table 8 .
Summary and Conclusions
Examples of typical highway bridge designs are presented in this paper. The bridge is designed using FBD as per the CHBDC 2006 (denoted as D1), FBD as per the CHBDC 2014 (denoted as D2), and also designed by PBD as per the CHBDC 2014 (denoted as D3). Site-specific spectral accelerations and soil conditions are considered in the design. The soil structure interactions are incorporated by using a series of p-y curves. D2 has a higher reinforcement ratio than D1 as the design hazard return period in CHBDC 2014 has increased. D3 has a much higher reinforcement ratio compared to D1 and D2 due to the strict requirements at 1 in 475-year event design.
After designing the bridge with three different code requirements, pushover analysis and timehistory analysis are conducted to evaluate their seismic performance. The results from pushover analyses and time-history analyses are similar in terms of damage states. It is found that D1 and D2 fail to meet the performance criteria in CHBDC 2014 (CSA 2014) at 1 in 475 year event.
However, although D1 and D2 both meet the criteria at 1 in 975 and 1 in 2475-year event, D2 D r a f t 12 shows less damage than D1. D3 meets the criteria at all earthquake events. However, D3 requires a very high reinforcement ratio. At the end, this paper presents a table listing the performance of a bridge designed as per FBD in CHBDC 2014. To summarize, the following conclusions are made from this study.
• Bridges designed as per CHBDC 2006 and CHBDC 2014 can provide desirable seismic performance in terms of life safety.
• Comparing with FBD in CHBDC 2006, FBD in CHBDC 2014 sets higher requirements for seismic loading. The increase in return period from 475 years to 2475 years results in a reinforcement ratio increase of 0.8% in this case study.
• The PBD in CHBDC 2014 is more conservative in comparison to FBD in CHBDC 2006
and CHBDC 2014. Although this will limit earthquake damage, it may be challenging in terms of construction (5.3% reinforcement ratio -leading to congestion). It is likely that for Major Route Bridges, the design will be governed by the lower design level with the requirement of no reinforcing steel yielding at 1 in 475-year earthquake event.
• When performing PBD at different earthquake events, it is critical that the soil stiffness degradation is considered. The soil-structure interaction affects displacement demands significantly. Table 4 . Maximum strains of D1 from time-history analysis Table 5 . Maximum strains of D2 from time-history analysis Table 6 . Maximum strains of D3 from time-history analysis Table 7 . Damage states of D1, D2 and D3 Table 8 
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